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  CHAPTER 1

INRODUCTION 

 

 

This research is focused on the shear and flexure capacity of Type-I AASHTO 

high strength self-consolidating prestressed concrete bridge girders.  Four girders were 

salvaged from the 400 South I-15 bridges in Orem, Utah.  These girders were tested for 

residual prestressing and shear and flexural capacity.  The residual prestressing testing 

was performed with a point load at the mid-span of the girder to induce a cracking 

moment.  The capacity testing consisted of applying the load at different locations along 

the length of the girders to induce flexure, flexure-shear, and shear type failures.  The 

results from the tests were compared to AASHTO LRFD Specifications (AASHTO 2012) 

and an ANSYS Finite Element model.  The comparison with AASHTO was done to 

verify that the specifications were valid for high strength concrete members and in all 

cases the AASHTO Specifications were conservative.  The ANSYS model was created 

and calibrated so as to accurately represent the girder behavior.  The calibrated model 

was compared to the original properties of the girder to find the difference in how 

ANSYS models prestressed high strength concrete girders. 
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  CHAPTER 2

PRELITERATURE REVIEW 

 

Research in reinforced concrete has always been at the fore front of the bridge 

industry because of the relatively low cost of the materials and the long life expectancy.  

Throughout the years there has been a tremendous amount of effort for the most efficient 

design and means of constructing bridges.  High strength prestressed concrete girders are 

a way to reduce the cross sectional area of these girders and thus the amount of concrete 

used.  Also due to the effect of prestressing the girders they now have the ability to have 

large span lengths with little to no cracking.  High strength concrete also accelerates the 

construction process by reaching the required concrete strength faster than normal 

strength concrete and therefore the girders can be built and placed on site quickly.   

Multiple studies have been done on the effect of different types of reinforcing in 

concrete and different strengths of concrete.  The following few sections are only a small 

amount of relevant research on how to analyze reinforced concrete members and their 

theoretical strengths.  Most of the research was either fabricated members in a lab or 

older salvaged bridge sections.  This research is the implementation of same analytical 

tools for girders that were salvaged from a bridge that were only in service for 8 years. 

High strength concrete has only recently been used in bulk to build structures and 

therefore there is a limited amount of research with members that have been in use and 

not built for a specific research.  There were multiple tests done to the girders for this 

research to determine the prestress losses and ultimate capacities for shear, shear-flexure 

and flexure failures for four girders that were cast with high strength concrete.  The 

citations of the papers are in the subheadings. 
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2.1 Analysis of Flexural Strength of Prestressed Concrete Flanged Sections 

(Baran et al. 2005) 

This research focuses on the differences of two different bending analyses for 

various prestressed girder cross section using the AASHTO Standard Specifications and 

AASHTO LRFD Specifications.  Strain compatibility was used for each methodology in 

order to determine the strain in the prestressed steel, which can be found using the 

geometry of the girder along with the neutral axis location.  This study investigated the 

accuracy of the two methods as compared to experimental and theoretical data for I and T 

cross sections. 

For concrete I and T sections, the neutral axis is determined based on the shape of 

the cross section.  The top flange depth was decreased from 381 mm (15 in.) to 102 mm 

(4 in.), by removing the concrete on the under part of the over hangs so as to keep the 

total depth of the girder constant.  The deeper the top flange, the closer to the top flange 

the neutral axis will be.  This study used a conceptual girder with dimensions of 2.5m 

(100 in.) tall with a 2 m (78 in.) wide top flange and a 0.305 m (12 in.) thick web.  The 

compressive strength of the concrete was 55 MPa (8000 psi) and the prestressed strands 

had a yield value of 1654 MPa (240 ksi) and ultimate strength of 1862 MPa (270 ksi).  

The results were not obtained based on experimental data, but rather a strain 

compatibility analysis was computed and compared to AASHTO LRFD and Standard 

values were compared to. 

Top flange depth vs. neutral axis location, strand stress and moment were plotted 

for ultimate capacity.  The AASHTO Standard procedure was comparable to the 

calculations from strain compatibility with a minimum depth of the neutral axis at 254 

mm (10 in.) from the top of the girder with a top flange depth of 165 mm (6.5 in.).  The 
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location of the neutral axis did not change even with an increasing flange depth.  The 

LRFD procedure was not as close to the predicted values using the strain compatibility 

analysis.  The LRFD procedure reached the same minimum neutral axis depth, but at a 

flange thickness of 254 mm (10 in.).   

The maximum moment capacity using the strain compatibility, Standard and 

LRFD methods was 35 MN-m (26,500 kip-ft) when the top flange thicknesses 

corresponding to that of the neutral axis locations for all three analyses.   

This research concluded that a modified LRFD approach was necessary for 

accuracy.  By increasing the influence the top flange from the original LRFD procedure 

to replicate the behavior of the strain compatibility analysis.  The proposed modified 

method had similar values as the AASHTO Standard procedure for maximum moment 

and neutral axis location for various values of top flange thickness. 

 

2.2 Comparative Study on Flexural Response of Full and Partial Depth Fiber-

Reinforced High-Strength Concrete (Padmarajaiah and Ramswamy 2002) 

High-strength concrete is known for its extremely high compressibility, but one 

inherent characteristic is it is more brittle than normal-strength concrete.  Fiber has been 

shown to increase the tensile capacity of concrete making high-strength concrete more 

ductile and therefore more advantageous.   

For this research, a total of 15 square beams with dimensions of 100 mm (3.9 in.) 

width and depth and 500 mm (19.7 in.) long were used.  The beams were supported 50 

mm (2 in.) in from each end for an effective span length of 400 mm (15.7 in.).  There 

were two point loads symmetrically located at 67 mm (2.6 in.) from the center of the 

beam.  There were five mechanical strain gauges on the side of the beam, from bottom to 

top, 50 mm (2 in.) on each side of the center of the beams.  There was also a dial gauge at 
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the center of the beams to record mid span deflection.   They were constructed using four 

different percentages of Trough shaped steel fiber reinforcing, 0.0, 0.5, 1.0 and 1.5.  The 

fiber was added to the beams in two ways, the full height and the tension portion of the 

beam.  The improved tensile stress capacity increases the toughness and flexural strength 

of the beams.   

Compression tests conducted with all three fiber percentages have the same 

maximum compressive capacity of 58 MPa (8400 psi.).  The concrete specimens all 

obtained the peak strength at a strain of 0.003.  Failure strain values increased with higher 

fiber percentages such as the following, 0.008 with 1.5% fiber, 0.006 with 1% fiber, 

0.005 with 0.5% fiber and 0.004 with no fiber.  The fiber may not increase the 

compressive strength of concrete; however, it facilitates a more ductile failure. 

Strain compatibility analysis along with the correlating stress distribution was 

used to calculate the maximum moment for each beam.  The different amounts fiber 

reinforcing was accounted for in each analysis in the tension part of the beam.  The 

tensile stress distribution starts at the neutral axis and increases linearly with depth until 

the yield strength of the steel fibers is reached, then it remains at the yield strength for the 

remaining depth of the beam.  The beams with the highest fiber content had more 

capacity, because they had the greatest area of steel in the tension area.  The compression 

block was modeled with a parabolic stress distribution with a maximum stress just above 

the center of the block; which matched the stress strain curve from the compression tests. 

The result of introducing fiber reinforcing to concrete beams varies on the 

amount.  The beams flexural load capacity with an amount of 0.5% fiber compared to no 

fiber was 12.5 kN (2810 lbs.).  The beam with 0.5% fiber had a mid-span deflection of 
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1.5 mm (0.05 in.), where the beam with no fiber had a deflection value of 0.75 mm (0.03 

in.), the addition of fiber increased the ductility by 67%.  The beams with 1.0% fiber 

attained a maximum flexure load of 18 kN (4057 lbs.) and a center deflection of 1.75 mm 

(0.07 in.).  At a value of 1.5% the ultimate flexural capacity of the beams was 22.5 kN 

(5058 lbs.), nearly double that of the beams with no fiber, and a center deflection of 2 

mm (0.08 in.).   

The placement of the fiber was only critical in the tension region.  Test results of 

half depth to full depth reinforcing were compared and found to have the same results for 

the same percentages of fiber.  This coincides with the cylinder compression tests in that 

the maximum compressive stress was found not to increase, however the tensile capacity 

of the concrete was increased.  These beams were a tension govern failure, therefore the 

increased tension capacity increased the moment capacity of the beams. 

 

2.3 Flexural strength predictions of steel fiber reinforced high strength concrete 

in fully/partially prestressed beam specimens (Padmarajaiah and Ramaswamy 

2004) 

Eight beams were tested with differing prestress forces and amounts of fiber in 

the concrete mix.  They were box beams with a depth of 240 mm, width of 105 mm, and 

length of 2200 mm.  Shear reinforcing was placed within 750 mm of each end to ensure a 

flexural failure.  The amount of fiber varied from 0% to 1.5% of the concrete mix.  Fiber 

was placed in the bottom of a third of the beams and throughout the whole beam in 

another third.  The remaining third had no fiber reinforcing.  Every beam had the same 

steel reinforcing. 

The beams were made on site and tested 29-30 days after casting.  The use of a 

500 kN load frame was used to test the beams.  Sensors were placed in and around the 
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beam to measure strain, deflection and curvature.  Load increased by 4.5 kN until hairline 

cracks were visible in the most extreme tension face.  The cracks were marked and loads 

recorded.  The beams were then unloaded and retested to failure. 

Each beam was analyzed with the Whitney Stress Block with some modifications 

to account for the fiber in two thirds of the beams.  However, fig. 3 shows a strain 

analysis of fully/partially prestressed members without fiber.  Figure 3 shows how the 

strain in the prestressing strands is the addition of three parts: effective strain, concrete 

strain at level of prestressing, and strain due to loading.  The total strain is used to 

calculate the maximum moment a beam is able to hold.   

Load vs. deflection and moment vs. curvature diagrams were plotted for each 

beam.  Those graphs showed that the fiber did increase the capacity and stiffness of the 

beams.  The analysis predicted the maximum load capabilities of the beams very closely, 

usually within a couple of percent’s.  The deflections predicted were in contrast to that 

and varied in accuracy a great deal. 

The energy absorption increased with the amount of fiber in the beam.  In the 

cases for the fully prestressed beams it was nearly double the amount of energy than 

beams with no fiber.  Therefore, depending on the application of the concrete member 

there could be a great deal of strength acquired with a fiber reinforced concrete mix at a 

small cost. 

 

2.4 Structural Tests of 27 yr. Old Prestressed Concrete Bridge Beams (Shenoy 

and Frantz 1989) 

A bridge in East Hartford, Connecticut replaced in 1984 had some deterioration 

and was made up of 13 prestressed box beams.  The beams were AASHTO-PCI type BI-

36 with an effective span of 16.456 m (54 ft.) long with 22 strands of 11 mm (7/16 in.) 
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diameter in the bottom of the beam.  The box beams have dimensions 686 mm x 914 mm 

(27 in. x 36 in.) and a hollow center.  The beams were placed side by side and the road 

asphalt was placed on top of the beams.  The edge beams were larger and constituted the 

sidewalk, they were not tested in this study.   

The beams had a wide range of deterioration, mostly from bridge salting during 

the winter months.  The two beams closest to the edge beam had the most damage done 

to them, being as the water would run off the road to the curb then off the bridge.  There 

were also some stains on the underside of the bridge from sodium deposits.  The study 

mentions that the sodium damage was mainly due to the fact that there was no water 

proof membrane between the asphalt and the beams. 

The material properties of the beams were found after testing.  Concrete core 

samples tested showed a compressive strength of 49 MPa (7100 psi.).  The stress strain 

curve of the core samples show very little yielding before rupture, indicating a very 

brittle concrete.  This is not uncommon as concrete strength increases and becomes more 

brittle with age.  Tensile tests were done to determine the modulus of elasticity and 

yielding strength of the prestressing strands.  The strands have a modulus of 28300 MPa. 

(4.1 x 10
6
 psi.) and a yield strength of 1724 kPa (250 ksi.). 

The beams were simply supported with loads applied at third points along the 

length.  Strain gauges were applied to the concrete and some strands.  To apply the 

gauges to the strands, the concrete was carefully removed from a 450 mm (18 in.) section 

on the bottom of the beam.  The concrete strain gauges were placed on the top and down 

the side of the beam. 
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Two of the beams were tested, beam 4 and beam 7.  Beam 7 was in the center of 

the bridge and beam 4 was in the center of a lane.  They both had similar results with 

maximum loads of 222.8 kN (50.1 kips) and 212.6 kN (47.8 kips) for beams 4 and 7 

respectively.  There was no flexural cracking until 158 kN (35.5 kips) and 129 kN (29 

kips) for beams 4 and 7 respectively, which is well above the service load of 69.4 kN 

(15.6 kips) and about the same as the factored load of 164.5 kN (34.7 kips).  This 

cracking load corresponds with a residual prestressing force of 671.6 kN (151 kips), 

which was verified theoretically as well. 

Both beams were proven to be strong and ductile even though one had minor 

deterioration, they performed similarly.  The predictions made, using strain compatibility, 

proved to be accurate in both the maximum load and deflection.  Strain compatibility was 

able to predict the strand stresses measured from the gauges on them.  Therefore strain 

compatibility is a good tool used to accurately model prestressed concrete beams. 

 

2.5 Testing of Two 50 yr. Old Precast Post-Tensioned Concrete Bridge Beams 

(Eder et al. 2005) 

The two girders tested for this research had a span length of 13.7 m (45 ft) long 

and were designed using a post-tensioned, concrete I cross section.  The girders had a 

small section of deck, as wide as the top flange, that acted compositely.  Prior to testing, 

the girders were inspected and found to have some longitudinal cracks and other damage 

as a result of the transportation.  The post-tensioned rods had a diameter of 29 mm (1-1/8 

in.).  There are four bars that run the length of the girder, two of which harped in the web 

and the final two were straight in the bottom flange.   

Compression tests were done on cylinder samples of the girders.  The concrete 

compressive strength was measured to be 67 MPa (9.8 ksi), and the splitting tensile 
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strength was 5.5 MPa (800 psi).  The reinforcing steel in the girders was also tested.  The 

post-tensioned bars had a yield strength of 689 MPa (100 ksi) and a ultimate strength of 

993 MPa (144 ksi) with a modulus of elasticity of 196501 MPa (28,500 ksi).  The mild 

reinforcing steel was not tested. 

The ends of the girders were damaged to the point that the supports for the test 

had to be adjusted so that the effective span length was decreased to 12.8 m (42 ft).  The 

girders were supported with two elastomeric pads.  A spreader beam was used to 

distribute the applied point load of a hydraulic ram to two point loads.  This loading 

scheme created a constant moment region spanning 1.52 m (5 ft) on each side of the 

center of the girder.   

Strain gauges were attached to the side of the girder at mid span.  These gauges 

were used to determine the compression block and neutral axis.  An extra strain gauge 

was attached when the girder initially cracked.  Initial testing cracked the girders, the 

cracks were marked and the load was released.  The additional strain gauge was placed 

over the crack and the load was reapplied to determine the tensile force in the post-

tensioned bars.   

The average moment capacity of the girders was 1830 kN-m (1350 k-ft).  The 

initial calculation for moment capacity was 17%-21% higher than the experimental 

results.  This was due to the fact that these calculations used assumed material values and 

did not account for the deck concrete detaching during the test.  The corrected value of 

moment was 1762 kN-m (1300 k-ft).   
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2.6 Ultimate Flexural Strength of Prestressed and Conventionally Reinforced 

Concrete Beams (Janney et al. 1956) 

In this study there was 19 concrete beams tested to failure.  The beams have a 

width of 152 mm (6 in.) and a depth of 305 mm (12 in.), with an effective depth of 211 

mm (8.3 in) and a length of 3.05 m (10 ft).  The beams were separated in to five groups 

of different types of reinforcement.  All of the reinforcement is straight and the strands 

are 9.5 mm (3/8 in.) diameter with a total cross-sectional area of 51.6 mm
2
 (0.08 in

2
).  

The strands have a yield strength of 1.62 GPa (235 ksi) and had an initial prestress value 

of 823.4 MPa (120 ksi).  All the concrete was five bag mix with an average compressive 

strength of 37.9 MPa (5.5 ksi). 

The five groups and their qualities are as follows: Group 1, prestressed stands; 

Group 2, bonded post-tension strands; Group 3, unbounded post-tension strands; Group 

4, unbounded post-tension strands with conventional reinforcement; and Group 5, 

conventional reinforcement. Each group with the seven wire strands had three different 

reinforcement percent such as 0.322, 0.644, and 0.965.  The group with only 

conventional reinforcing had percentages of reinforcing of 1.20, 1.87, 2.65, 3.61, and 

4.75. 

The beams were simply supported 152 mm (6 in.) in from the ends making a 

effective span length of 2.74 m (9 ft) long.  The load was applied in two locations at third 

distances.  Strain gauges were placed on the reinforcement and the concrete at the middle, 

and 610 mm (2 ft), 914 mm (3 ft), and 1.22 m (4 ft) off the center line of the beam.  

These gauges were used to find the stain at different stages of the tests.  The strain 

readings are correlated with the stress-strain plot to show what stress the strands are at.   
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2.7 Investigation of Damaged 12-year Old Prestressed Box Beams (Naito et al. 

2008) 

This research was focused on a three span bridge built in 1989 and demolished in 

2000.  The bridge was inspected early in 2000 and cracks on the concrete box beam were 

found by the piers and abutments.  The bridge had three spans and carried three lanes of 

highway traffic for both directions.  The span lengths for spans 1, 2 and 3 were 18.9 m 

(62 ft), 21.7 m (71.3 ft) and  14.9 m (49 ft) respectively.  The roadway was straight, but 

the abutments and piers were skewed at an angle of 4
0
13’24.7” off a line perpendicular to 

the roadway.  The foundations of the piers and abutments were supported by H piles 

driven to bedrock. 

The bridge beams were fixed at each end with a diaphragm and the road deck, 

which was a continuous cast in place slab for all three spans.  The beams were made of 

concrete and had prestressed seven wire strands and mild shear reinforcing.  The square 

beams were 1.2 m (4 ft) tall and wide with the associated span length.  The bottom flange 

was 139.7 mm (5.5 in.) thick and the top flange was 76.2 mm (3 in.) thick with webs at 

127 mm (5 in.) wide.  All inside edges had a 76.2 mm (3 in.) chamfer and the bottom 

outside edges had a 19.1 mm (0.75 in.) chamfer.  The ends of the beams were solid 

concrete to a point 610 mm (24 in.) to 721 mm (28.4 in.) in from the ends.  The depth of 

this solid part of the beam depended on where on the bridge it was being placed due to 

the skew of the bridge.  The 228.6 mm (9 in.) thick concrete roadway was connected to 

the beams with shear studs to attain composite action between them.  The prestressing 

strands were located in the bottom and up the sides of the webs.  All strands were made 

of grade 270 low relaxation strands with a diameter of 13 mm (0.5 in.).  The strands were 
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debonded for 635 mm (25 in.) on each side of the beam to prevent prestress transfer 

cracking. 

The damage to the beams consisted of flexure-shear, flexure and shear cracks.  

Most of the damage was concentrated around the piers, mainly pier 2, with minimal 

damage by the abutments.  All cracks were located were the hollow section of the beams 

starts.  The westbound bridge was monitored with transducers, strain gauges and 

thermocouples.  The cracks were found to open and close under live loads, such as traffic 

and a 4-axle 326 kN (73280 lb.) truck used for a standard test.  The standard truck used is 

the maximum legal load defined by PennDOT.  Traffic loads were compared to the 

standard test and were found to have 1.4 times the strain, which could be explained by the 

effect of multiple vehicles driving over the bridge at the same time.  The temperature 

difference between the top of the deck and bottom of the beams would cause the crack to 

open.  When the top of the deck would heat up the bottom flange cracks would open. 

A beam from span 1 was selected for a materials and quality testing.  The beam 

had concrete cores removed for testing and the strands were located by chipping the 

concrete off the beam.  The concrete cylinders were tested and a compressive strength of 

59.5 MPa (8630 psi) was found, which was 33% higher than the specified 28-day 

strength.  The dimensions of the beam were compared to the specified drawings with few 

major differences.  The debonded length of the strands varied from the specified length of 

635 mm (25 in.) to 1.0 m (40 in), almost double the specified length.  The shear studs 

used to connect the deck to the beams were spaced different in the solid areas of the 

beam, but along the hollow length of the beam they were as specified.   
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A beam from span 3 was used for testing.  The beam was simply supported with a 

point load 3.56 m (11.75 ft) from the end of the beam.  The point load was placed near 

the end of the beam to induce a stress combination of shear and flexure on the beam.  The 

beam was tested twice; the damaged end was first followed by the undamaged end.  The 

support on the damaged end was moved to a location of 4.04 m (13.25 ft) to support the 

beam past the initial test, therefore the second test had a shorter effective length.  The 

restrain conditions during testing were not the same in situ conditions.  The beam was 

monitored with displacement transducers and strain gauges.  Two displacement 

transducers were placed on the side of the beam under the point load, the average of the 

two were used as the vertical displacement.  Strain gauges were placed on the bottom 

flange to determine the decompression load.  There were gauges placed on the ends of the 

strands, at the end of the beam nearest the applied load, to measure strand slip. 

Each end of the beam performed similarly for each test.  Test #1 and test #2 were 

7% and 9%, respectively, higher than the calculated flexural strength of 4.84 MN-m (3.57 

kip-ft) using AASHTO standards.  Each test failed in flexure with strand rupture.   

The decompression load was determined by cracking the section and placing a 

strain gauge next to the crack.  The load is then reapplied, the strain gauge should 

increase until cracking at which point the strain will remain constant.  This was repeated 

three times and averaged to determine the prestressing value. 

The cracking moment was determined from the undamaged end test.  This 

moment was larger than the moment from the demands on the beam; therefore the in situ 

stresses were not large enough to cause cracking.  It was determined that errors in design, 

detailing and production caused the cracks.  The location where the beam changes from 
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solid to hollow was a large discontinuity.  This discontinuity combined with longer 

debonded lengths of the prestressed strands caused increased localized tensile stress.  

Production of the beams could have been an influence, during production some 

reinforcing contaminated by form oil, and other discrepancies that led to the rejection of 

over 40 beams before the necessary 36 beams were accepted. 
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  CHAPTER 3

BRIDGE DESCRIPTION 

 

The 400 South Bridge on I-15 in Orem, Utah was decommissioned during the fall 

of 2011.  The replacement of this bridge was part of UDOT’s south I-15 core project.  

Originally, when the highway section was built in 1960 there were two bridges, one for 

the north bound and one for the south bound lanes of traffic.  Subsequently, in 2004 this 

section of I-15 was expanded to accommodate additional lanes; the space between the 

two bridges was used for the addition.  The entire bridge is comprised of three 

independent spans as seen in Figure 3.1.  The girders that were tested for this research 

were salvaged from span1. 

The salvaged girders were simply supported on a pier and an abutment.  The 1960 

bridge pier consisted of a rectangular concrete beam that spanned the width of the 

roadway and supported the bridge girders.  The I-shaped girders were supported at each 

pier with three concrete columns.  The columns were connected to one continuous 

concrete footing with twenty two 9.1 m (30 ft) concrete piles with a diameter of 305 mm 

(12 in.) staggered along the length of the footing for a deep foundation.  The entire pier 

was made of reinforced concrete with moment resisting connections as shown in Figure 

3.2.  

The 2004 addition to the bridge was of a similar design.  The bridge was a three 

span bridge with two piers and two abutments.  The piers had rectangular concrete beams 

supporting the girders, similar to the original bridge design.  These beams were attached 

to the original pier beams.  There was only one concrete column supporting the girders 

that had its own footing with six piles of the same dimensions as the original piles 
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Fig. 3.1 Plan drawing of bridge 

 

 

that made the deep foundation.  The north bound and south bound bridges were not 

connected to each other.  A cross section of the bridge at a pier, shown in Figure 3.2, 

shows the girder support system and the foundation.  The shaded I-girders were salvaged 

for this research.   

The bridge widening was accomplished by providing one additional lane for each 

the Northbound and Southbound traffic with the median between the two original 

bridges.  The decks of the bridges were cut off at the middle of the inside edge beams.  

Those edge girders supported half the old and new decks.  The new portion was 4.5 m 

(15 ft) wide on each bridge.  The new girders (3,4,5,6) were placed at a spacing of 1.9 m 

(6.3 ft).  The edge girders (4 and 5) were 737 mm (29 in.) from the center of the bridge.  

The new deck was 203 mm (8 in.) thick with a 76 mm (3 in.) of total asphalt on top.  

Both the new and the old girders have the same span length.  A cross sectional view of 



18 

 

 

 

 
Fig. 3.2 Section view of bridges at pier 

 

 

the complete bridge is seen in Figure 3.2. 

 

3.1 Girder Dimensions 

Both the new and the older girders were fabricated using the same AASHTO 

Type I cross-sections as see in Figure 3.3.  The girders had a total bottom flange width of 

406 mm (16 in.) and total height of 711 mm (28 in.).  The bottom flange was 127 mm (5 

in.) tall then angles in at a one-to-one slope for another 127 mm (5 in.) of vertical 

distance before reaching the web.  The web is 152 mm (6 in.) thick and 279 mm (11 in.) 

tall.  Then the beam widens at a one-to-one slope for 76 mm (3 in.) of vertical distance to 

a total top flange width of 305 mm (12 in.).  The top flange is 102 mm (4 in.) tall.  The 

total concrete cross sectional area is 0.2 m
2
 (279 in.

2
).   

 

3.2 Girder Reinforcing 

Both sets of girders were designed with mild steel reinforcing and either 

prestressed strands or post-tensioned bars.  Mild reinforcement was primarily used as 

shear reinforcing.  Six longitudinal bars were used to hold the shear bars in place during 

casting.  Tensile tests were performed on the reinforcing to determine their material 
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properties.  The configuration of the prestressing steel can be seen more clearly in Figure 

3.3.  

The girders were prestressed using a seven wire, 13 mm (1/2 in.) diameter strand.  

There are 11 straight strands in the bottom flange and 2 in the top flange with an overall 

centroid of prestressing at 181 mm (7.1 in.), as seen in Figure 3.3, from the bottom for the 

mid span and end cross sections.  The strands run straight through the beam.  The strands 

are made of high strength, low relaxation steel with a yielding point of 1586 MPa (230 

ksi) and an ultimate strength of 1862 MPa (270 ksi) with a modulus of elasticity of 19.65  

GPa (28500 ksi).  The plans indicated that after losses the prestressing strands would 

have an effective prestressing force of 1424 kN (320 kip) which is an equivalent stress of 

1132 MPa (164 ksi) 

The shear reinforcing was provided using #13 (#5) rebar at three different 

spacing’s seen in Figure 3.4, which shows the shear spacing and a cross section of the 

mild reinforcing.  The first stirrup was at 51 mm (2 in.) from the end of the girder with 

 

 

Fig. 3.3 Prestressing steel configuration 
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Fig. 3.4 Mild reinforcing of girder 

 

the subsequent spacing at 152 mm (6 in.) on center 1.371 m (4.5 ft.) from the end of the 

girder.  The next spacing was 305 mm (12 in.) on center for the following 2.133 m (7 ft.).  

The third spacing was 457 mm (18 in.) on center for the next 1.829 m (6 ft.) leaving a 

191 mm (7-1/2 in.) gap from the center of the girder to the last shear bars.  The shear 

reinforcing is symmetrical about the center of the beam.  Shear reinforcing was shorter 

than developmental length; therefore, in order to ensure the shear bars would not pull out 

of the concrete they were bent 90
o
 at the each end.  These bends also enable the bars to 

attain the yield strength.  The bars extend out of the beam by 102 mm (4 in.) into the deck 

concrete in order to develop composite behavior with the deck. 

The girder concrete was specified to have a compressive strength of 27 MPa (4 

ksi) at transfer and 34.5 MPa (5 ksi) at 28 days.  Concrete cylinders cored from the deck 

and girder concrete with a diameter of 95 mm (3.75 in.) and a length of 191 mm (7.5 in.) 

were tested to determine the maximum compressive stress, f’c.  Four cylinders from the 

deck and three from the girder were tested using a Fourney 5000 concrete compression 

machine.  The average of each group was used.  The deck and girders were found to have 

an average maximum compressive stress of 55.2 MPa (8.0 ksi) and 77.9 MPa (11.3 ksi), 

respectively.   
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At the time the bridge was decommissioned, the girders were found to be in 

relatively good condition.  The newer girders were in excellent shape, after being in 

service for only 8 years.  There was still some missing concrete, mainly near the end of 

the girders, which was patched with concrete and existing reinforcement was used to 

ensure composite action.   
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  CHAPTER 4

EXPERIMENTATION 

 

All testing for this research was performed at the Structural Materials And 

Systems Health Lab (SMASH Lab).  The SMASH Lab is located at 1500 Canyon Rd., 

Logan, UT, and is a part of Utah State University Campus.  The lab is equipped with a 

strong floor, reaction frame, hydraulic rams, and a Vishay 5000 data acquisition system. 

Figure 3.1 shows the reaction frame with two girders under it being prepped for testing.  

The strong floor is 0.914 m (3 ft) thick made with reinforced concrete with conduits 

spaced every 0.914 m (3 ft) to allow for various positioning of the reaction frame.  The 

steel reaction frame has two columns, which were bolted to the strong floor, and a 

spreader beam connected to the columns.  The spreader beam holds the hydraulic rams in 

place for testing.  A 222 kN (500 kip) hydraulic ram was used to apply the static load.  

The Vishay is a data acquisition system that is capable of monitoring various sensors 

such as the load cells and strain gauges that were used in this test.  

There were four girders tested for this study.  The girders were numbered 3, 4, 5, 

 

 

Fig. 4.1 Reaction frame with two girders ready to test 
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6 and were fabricated in 2004.  Four additional girders (1, 2, 7, 8) from the older portion 

of the bridge were also removed but were tested as part of a different study.  The 

numbering was assigned according to the order that they were removed from the bridge.  

Each girder was tested to determine the prestress force with a cracking test and 

subsequently the capacity for either pure moment, predominately shear or a flexure-shear 

failure.  In order to accomplish this, a mid-span, 1d, 2d, and 4d tests were completed, 

where d is the total depth of the girders including the deck as seen in Figure 4.2.  Girder 

properties and test dimensions are summarized in Table 4.1.  Strain gauges were attached 

to the girder at four different elevations at the location of the load and a third distance.  

There was one on the underside of the bottom flange and three on the web.  The gauges 

on the web were placed at the bottom, middle and top of the web with elevations from the 

bottom of the girder equal to 256 mm (10.0 in.), 393 mm (15.5 in.) and 530 mm (21.0 in.) 

respectively.  Figure 4.3 shows the strain gauges on the side and bottom of the girder.  

The strain gauges were oriented with the length of the girder.  

 

 
Fig. 4.2 Diagram of test setup 
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Table 4.1 Dimensions for each experiment 

Girder # 
Test Type αL βL 

G3-1d(a) 
0.914 m 
(3.00 ft) 

10.74 m 
(35.25 ft) 

G3-1d(b) 
0.914 m 
(3.00 ft) 

9.22 m 
(30.25 ft) 

G4-4d(a) 
3.66m 

(12.00 ft) 
10.74 m 

(35.25 ft) 

G4-2d(b) 
1.83m 

(6.00 ft) 
6.63 m 

(21.75 ft) 
G5 

(Mid Span) 
 5.37 m 
(17.63 ft) 

 10.74 m 
(35.25 ft) 

G6-2d(a) 
1.83m 

(6.00 ft) 
 10.74 m 
(35.25 ft) 

G6-4d(b) 
 3.66m 

(12.00 ft) 
8.50 m 

(28.00 ft) 
 

 

The deck depth varied slightly, about 12.7 mm (0.50 in.), from girder to girder.  

This difference was attributed to the sloping road way and irregularities in the 

construction of cast in place concrete.  The difference was cut off the girders that were 

taller in order to have uniform cross sections for all girders to compare results. 

 

4.1 Moment Cracking Test 

The girders were positioned under the reaction frame such that the load could be 

applied at the mid span for the cracking test.  Two steel plates were used as bearing plates 

on the strong floor with an elastomeric pad positioned between the plates and the girder.  

The elastomeric pad was used to allow rotation at the ends while still supporting the 

girder and to replicate the in-service bridge girder supports.  A steel plate was placed on 

top of the girder at the mid span under the load.  The plate was a 305 mm (12 in.) square 

plate that supported a spherical bearing.  The bearing was greased to ensure a pure 

vertical load was applied during testing.  A load cell was placed between the ram and the 
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Fig. 4.3 Strain gauge placement 

 

plate to record the applied load throughout the test. 

Cracking tests were performed in order to determine the effective prestress force.  

The cracking test was performed by applying a load at the mid span of the girders until a 

visible transverse crack appeared along the bottom of the girder (Figure 4.4.)  The 

magnitude of the load was recorded and the crack location was identified with a marker.  

After the crack was marked the load was removed.  The crack would close tight after the 

load was removed. 

A strain gauge was then attached on the bottom of the girder across the crack, as 

shown in Figure 4.4.  After words, the load was then reapplied.  The reapplied load was 

increased by 25% in order to ensure the crack reopened.  However, magnitude of the load 

did not exceed that which would result in permanent damage to the girders.   

After testing, a load vs. strain plot was created to determine the magnitude of the 

applied load where the crack opened.  A typical plot can be seen in Figure 4.5, which is 

for the cracking test of girder 3.  The nonlinear behavior is illustrated as the strain 

cracking stiffness, the steeper slope, and the post cracking stiffness.  Two cracking tests  
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Fig. 4.4 Strain gauge attached over crack on bottom of girder 

 

increasing dramatically when the crack opens which can be seen in the cracking moment 

test of girder 3. 

There are two different slopes which can be interpreted as the pre were performed 

on each of the four girders.  If there were any discrepancies between the decompression 

load of the two tests, a third test was performed to confirm the results.  

 

 
Fig. 4.5 Girder 3 cracking moment test data 
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The decompression or cracking load was acquired using the intersection of a 

straight line fit of the pre and post girder stiffness as shown in Figure 4.5.  The load that 

corresponded to the intersection of the two lines was defined as the decompression load.  

The decompression load is the magnitude of the external load that causes zero stress at 

the bottom of the girder.  Equation 4.1 can be used to calculate the stress at the bottom of 

a prestressed concrete girder subjected to an external load. 

 

   
 

  
 

      

  
 

     

  
 

    

 
 

Eq. 4.1 

where:  

σ = Stress at the bottom of the girder 

P = Effective prestressing force 

ep = Eccentricity of the prestressing force from the centroid of the girder  

C = Distance from the girder neutral axis to the bottom of the girder  

Msw = Moment at crack location due to girder self-weight  

Mxt = Moment caused by decompression load at crack 

A = Total cross sectional area of girder and deck concrete 

I = Composite moment of inertia 

The stress, σ, is zero at the decompression load and the Equation 4.1 is used to 

solve for the effective prestressing force P.  Equation 4.1can be manipulated to solve for 

P directly and is provided in Equation 4.2.  It should be noted that P is the total effective 

prestressing force and not the force for each strand. 
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Eq. 4.2 

 

    
 

   
 

Eq. 4.3 

where:  

    = Effective stress of prestressing strands 

Aps = Total area of prestressing strands 

After calculating the total effective prestressing force for each girder the effective 

prestress was calculated using Equation 4.3.  The same can be done for individual strands 

if P is divided by the number of strands.  The stress is calculated the same way but with 

individual strand area; however, the stress will be the same value.   

The calculated effective prestressing values are fairly consistent for each of the 

tested girders.  The values of the effective prestress are compared to the initial values for 

each girder in Table 4.2, the initial values were taken from the bridge plans (see 

Appendix A).  The cracking moment test provided an average residual prestress force of 

1370 kN (309 kip) with a 2% variation form that for all the girders. 

 

4.2 Capacity Testing 

After all the cracking moment tests were completed, the girders were evaluated to 

determine which ones would be used for which test.  This was done to avoid having the 

load on a location where there was significant damage.  A list of which girder was used 

for which test(s) is found in Table 4.1.   
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4.2.1 Flexure Capacity Test 

 Girder 5 was used for the mid span flexural test shown in Figure 4.6 where the 

locations of the strain gauges on the web can be seen.  An additional gauge was attached 

on the bottom of the girder at the location of the load as shown in Figure 4.3.  An extra 

set of gauges of the same configuration were also attached at a third distance from the 

end of the girder.  Strain gauges were only placed on one side of the girder.  String pots 

were attached to both sides of the girder at the same locations as the strain gauges and at 

one end directly at the center of the support.  The string pots the end of the girder 

measured the compression of the elastomeric pad during testing.  This distance was 

subtracted from the other deflection readings in order to obtain actual girder deflection. 

The girders were monotonically loaded through failure.  All data was sampled at a 

rate of 10 Hz.  Prior to testing, all sensors were initially zeroed and the string pots and 

load cell were calibrated prior to experimentation.  The load cell was tested by applying a 

small load with the ram and reading the output load from the Vishay to ensure it was not 

calibrated wrong.  The string pots were tested by simply lifting the strings a 

predetermined amount and making sure the Vishay output was an equivalent amount of 

deflection.  All these checks were completed before each test to reduce the number of 

errors in data collection.  The strain gauges in Figure 4.7 were shunt calibrated.  Strain 

gauges read a resistance difference as they expand or compress, but the wire from the 

gauge to the Vishay has resistance which can reduce the accuracy of the reading.  Shunt 

calibration is a way to subtract out the wire resistance. 

Girder 5 was loaded to complete failure, which resulted due to a rupture of the 

compression block.  During the flexure loading process the concrete at the bottom flange 

would initially start to crack, with cracks first appearing directly under the load.   
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Table 4.2 Prestressing values for each girder from cracking tests 

 

 

 

Fig. 4.6 Mid-span test setup in lab 

 

Additional cracks appeared that were more angled appeared and propagated. 

The cracks became visible at the bottom flange at an applied load of 311 kN (70 

kips) and would continue to widen up until failure.  The cracks propagated out 1.5 m (5 

ft.) on each side of the load location as seen in Figure 4.7 and were spaced 127 mm (5 in.) 

apart.  The maximum load was achieved at a magnitude of 592 kN (133 kips), which 

corresponds to a moment of 1590 kN-m (1174 kip-ft) as seen in Figure 4.8.  When the 

girder was at the maximum load then the concrete in the compression block started to fail 

and the load decreased by 22.2 kN (5 kips) and the deflection increased.  The load never 

recovered after the top portion of the deck concrete failed in compression.  The load was 

2004 

Girder # 

Calculated P 

(kN/kip) 

Calculated σs 

(MPa/ksi) 

Initial Value 

(kN/kip) 
% Losses 

3 1400/314 1110/161 1425/320 1.8 

4 1350/303 1070/155 1425/320 5.3 

5 1380/311 1100/159 1425/320 3.1 

6 1370/307 1090/157 1425/320 4.1 

Ave. 1370/309 1100/158 1425/320 3.4 
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Table 5.1 General prestress losses 

General Prestress Losses 

ΔfpEs 
92.4 MPa 

(13.4 ksi) 

ΔfpLT 
241.7 MPa 

(35.1 ksi) 

ΔfpT 
334.4 MPa 

(48.5 ksi) 

fpe 
1062 MPa 

(154.0 ksi) 

 

 

5.1.2 Refined Time Dependent Prestress Losses 

The method for calculating the initial elastic shortening losses for the refined 

method is defined in the previous section; however, the long-term losses for this method 

are more complicated.  This section provides the equations to predict time-dependent 

losses for the prestress force.  The refined method has two different time periods in which 

long-term prestressing losses are calculated, before deck placement (id) and after deck 

placement (df) shown in Equation 5.6 below. 

      (                 )  
 (                       )  

 

Eq. 5.6 

where:  

 

      = Prestress losses due to the shrinkage of the girder between transfer and 

deck placement 

      = Prestress losses due to creep of girder concrete between transfer and deck 

placement 

      = Prestress losses due to relaxation of prestress tendons between transfer 

and deck placement (1.2 ksi for low relaxation strands) 

      = Prestress losses due to shrinkage of the girder after deck placement 
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      = Prestress losses due to creep of girder after deck placement 

      = Prestress losses due to relaxation of prestress tendons after deck 

placement (1.2 ksi for low relaxation strands) 

      = Prestress gain due to shrinkage of deck 

Equations 5.7 through 5.9 are used to calculate the time-dependent losses before 

deck placement and Equations 5.10 through 5.13 are used to calculate the time-dependent 

losses after deck placement.   

                

Eq. 5.7 
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Eq. 5.14 
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Eq. 5.24 

where:  

εbid = Concrete shrinkage strain before deck placement (0.0003) 

kid = Transformed section coefficient that accounts for time dependent interaction 

between the concrete and the steel tendons prior to deck placement (0.88) 
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fcgp = Concrete stress at prestressing centroid after transfer and elastic losses (1.73 

ksi) 

epg = Eccentricity of the prestressing force from the centroid of the girder (5.465 

in.) 

  (    ) = Girder creep coefficient, value depends on t values used 

tf = Final time (2920 days) 

ti = Transfer time (0.75 days) 

td = Age to deck placement (56 days) 

Δfpt = Stress in prestressing strands immediately after transfer, taken not less than 

0.55fpy 

kl = 30 for low relaxation strands and 7 for all other strands 

εbdf = Shrinkage strain of girder after deck placement (0.00026) 

εddf = Shrinkage strain of deck after deck placement (0.00061) 

kdf = Transformed section coefficient that accounts for time dependent interaction 

between the concrete and steel tendons after deck placement. (0.838) 

Ec = Modulus of elasticity of concrete at 28 day strength (4070 ksi) 

ΔP = The change in prestressing force prior to deck placement (75.7 kip) 

Δfcd = Stress of concrete at prestressing centroid after deck placement (0.4 ksi) 

Δfcdf = Change in concrete stress at centroid of prestressing steel due to deck 

shrinkage (-0.6 ksi) 

H = Relative humidity (55 %).  In the absence of better information, H may be 

taken from Figure 5.4.2.3.3-1 (AASHTO 2012) or from a reliable accurate source 

Ad = Cross-sectional area of deck concrete (504 in.
2
) 
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V = Volume of girder (120060 in.
3
) 

S = Surface area of girder (39420 in.
2
) 

ks = Factor for the effect of the volume-to-surface ratio of the component (1.05) 

khc = Humidity factor for creep (1.13) 

kf = Factor for the effect of the concrete strength (1.0) 

ktd = Time development factor, value depends on time used 

t = Maturity of concrete, t = 0 days at time of casting, tf = 2920 days at time of 

demolition, td = 56 days at time of deck placement and ti = 0.75 days at time of 

transfer.    

Table 5.2 lists the calculated values for all of the components that add to the total 

losses.  The elastic losses need to be added to the total long term losses to get a total loss.  

The elastic prestress losses are the same as the general losses calculated in the previous 

section.  The relaxation losses are also the same for the strands used in this research.  

However the relaxation losses are divided into two terms in the refined losses method to 

before and after deck placement.  The two relaxation loss terms in this method sum to the 

same value as in the general method, but losses can now be calculated for prior deck 

placement. 

The total loss (ΔfpT) was subtracted from 0.75fpu, which is the jacking stress prior 

to transfer, yields a final effective stress (fps) for the prestressing steel of 1103 MPa (160 

ksi) that is 2.1% less than the jacking stress.  This final stress correlates to a total 

prestressing force (Pe) at the time of testing of 1388 kN (312 kips). 

 

Table 5.2 Refined prestress losses 
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Long-Term Loss Components 

ΔfpEs 
+92.4 MPa 

(+13.4 ksi) 

ΔfpSR 
+60.0 MPa  

(+8.7 ksi) 

ΔfpCR 
+106.8 MPa  

(+15.4 ksi) 

ΔfpR1 
+8.27 MPa  

(+1.20 ksi) 

ΔfpSD 
+42.7 Mpa  

(+6.2 ksi) 

ΔfpCD 
+13.1 Mpa 

(+1.9 ksi) 

ΔfpR2 
+8.27 MPa 

(+1.20ksi) 

Δfpss 
-38.7 Mpa 

(-5.6 ksi) 

Total Long-Term Losses from 

Refined Method 

ΔfpLT 
200.0 MPa 

(29.0 ksi) 

Total Prestressing Losses from 

Refined Method 

ΔfpT 
292.3 MPa 

(42.4 ksi) 

 

 

5.1.3 Comparison of AASHTO and Cracking Tests for Effective Prestress 

The average effective prestressing stress from the cracking moment tests was 

1010 MPa (147 ksi) with a standard deviation of 19.68 MPa (2.69 ksi).  This average was 

compared to the two different methods of prestress losses in Table 5.3.  The results from 

the two methods were not compared to the residual prestressing force that was shown on 

the bridge plans (Appendix C) because the plans were unclear how the losses were 

accounted for.  The plans indicated that the force was after losses, but since it did not 

match up with any method used in this research it was ignored. 
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The general method predicted a prestress loss 4.8% higher than the value from the 

moment cracking tests.  The general method is considered the more conservative method 

as was expected to be lower than tested results.  The refined method was higher than the 

general method as expected.  The refined method is meant to be more accurate and 

therefore less conservative or should calculate less prestress losses.  It was no surprise 

that this method predicted a higher prestress value than tested values and the general 

method.  Even though both methods over predicted the prestressing value, they were both 

under the value on the bridge plans of 1131MPa (164 ksi).  The bridge plans did not 

indicate how the prestress losses were calculated. 

 

5.2 Moment Design 

The moment capacity was predicted using two methods for this research, the 

equations from AASHTO LRFD Specifications (AASHTO 2012) and the finite element 

computer software ANSYS.  The capacity of both methods is used and compared to the 

testing results at the end of this section.   

The nominal moment capacity (Mn) of a concrete member according to AASHTO 

(2012) LRFD Specifications is provided as equation 5.25.  The strength reduction factor 

was neglected for this calculation so a direct comparison with the measured results could 

be obtained. 

 

Table 5.3 Comparison of calculated prestressing to measured 

Method Calculated Effective Prestress % from Test Average 

Cracking Moment 
1100 MPa 

(158 ksi) 
NA 

General Prestress Loss 
1060 MPa 

(154.0 ksi) 
-3.8% 

Refined Long-Term loss 
1100 MPa  

(160 ksi) 
1.3% 
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Eq. 5.25 

where: 

Aps= the total area of prestressing steel (1.95 in.
2
) 

fps= Specified tensile strength of prestressing steel (270 ksi) 

As= Total area of tensile mild steel reinforcement (0.62 in.
2
) 

fs= Stress in tensile mild steel (60 ksi) 

A’s= Total area of compression mild steel (1.24 in.
2
) 

f’s= Stress in compression mild steel (60 ksi) 

f’c= Compressive stress of the concrete (8.5 ksi) 

dp= Distance from top of compression block to centroid of the prestressing (28.9 

in.) 

ds= Distance from top of compression block to centroid of mild tensile steel (26.0 

in.) 

d’s= Distance from top of compression block to centroid of mild compression 

steel (11.0 in.) 

b= Compression flange width (12.0 in.) 

bw= Width of girder web (6.0 in.) 

hf = Depth of compression flange (8.0 in.) 

a= Depth of effective concrete compressive stress from top of compression block 

(5.12 in.) 

Many of the variables have to be solved for with the following equations.  The 

effective depth of concrete compressive stress (a) is solved for with Equation 5.26 and 
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the stress block factor (β1) and the depth to the neutral axis (c) are found in Equations 

5.27 and 5.28, respectively.  

      
Eq. 5.26 

            (  
   )                 

       
Eq. 5.27 

  
              

   
 

               
   

  
⁄

 

Eq. 5.28 

The variables in Equations 5.27 and 5.28 are the same as for Equation 5.25 above 

with the exception of k which is defined in Equation 5.29 or Table 5.4.  The constant k is 

dependent on the prestressing steel yield stress (fpy) and the ultimate prestressing steel 

stress (fpu), which both have units of ksi.  The prestressing strands were specified as low 

relaxation strands; therefore, a value of 0.28 was used for k in this research taken from 

Table 5.4. 

The specified tensile stress of the prestressing steel (fps) is defined by Equation 

5.30.  The specified tensile stress was the stress that the strands were at during testing for 

the moment capacity.  This value is limited by the ultimate strength of the strands. 

   (     
   

   
⁄ ) 

Eq. 5.29 

       (   
 

   
) 

Eq. 5.30 
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The comparison of the recorded data from each girder and AASHTO LRFD 

Flexure Design are compared below in Table 5.5.  The AASHTO design is conservative 

by approximately 10% on the average of all girder results.   

 

5.3 Shear Design 

Section 5.3 provides comparison of the AASTHO LRFD method for calculating 

shear capacity with the ANSYS finite-element model.  There are two AASHTO methods 

for shear resistance capacity used in this research which are the simplified procedure for a 

prestressed girder and a strut-and-tie model. 

 

5.3.1 AASHTO LRFD Simplified Shear Design for Prestressed Concrete Girders 

Section 5.8.3.3 of the AASHTO LRFD Specifications (AASHTO 2012) was the 

method used to calculate the nominal shear resistance (Vn) of the prestressed girders.  

There are three values of shear resistance that are used to calculate Vn which are the 

stirrup resistance (Vs) and the shear resistance provided by the concrete for the two  

 

Table 5.4 k values based on strand type 

Type of Tendon       ⁄  k 

Low relaxation strand 0.90 0.28 

Stress-relieved Strand & Type I High-Strength Bar 0.85 0.38 

Type II High-Strength Bar 0.80 0.48 

 

 

Table 5.5 Moment comparison of girders to AASHTO 

 Moment kN-m (kip-ft) % Difference from AASHTO 

AASHTO LRFD Design 1536 (1133) NA 

Girder # 3 1572 (1160) 2.4% 

 Girder # 4 1700 (1255) 10.8% 

Girder # 5 1592 (1174) 3.6% 

Girder # 6 1826 (1347) 18.9% 
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conditions of cracking, combined flexure and shear cracks (Vci) and excessive tensile 

forces in the web (Vcw).  As seen in Equation 5.35 the prestressing resistance (Vp) is 

accounted for in Vcw term.  The Vp is the shear resistance from a component of the 

prestressing force usually due to harped strands where the prestressing force at the end of 

the girder has a vertical component.  For this research the girders had only straight 

strands and therefore Vp was zero.  The following equations are how to calculate the 

previously mentioned values. 
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where:  

Vci = Shear resistance provided by concrete when inclined cracking occurs from 

combined shear and moment forces (kip) 

Vcw = Shear resistance provided by concrete when inclined cracking occurs from 

excessive principal tension forces in the web (kip) 

Vs = Shear resistance due to the mild steel reinforcing (kip) 

Vp = Shear resistance due to the component of prestressing in the direction of 

applied shear (0 kip) 

fcg
’
 = Girder concrete compressive strength (11.2 ksi) 

bv = Minimum web width within the depth dv (6.0 in.) 
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dv = Effective shear depth (25.9 in.) 

a = Depth of Whitney stress block from flexure analysis (5.9 in.) 

de = Distance from top of compression block to centroid of prestressing steel 

(28.9 in.) 

H = Height of girder (36 in.) 

Mcr = Cracking moment (kip-in.) 

Sc = Composite section modulus (2753 in.
3
) 

Ic = Moment of inertia of composite section (46806 in.
4
) 

cc = Distance from bottom of girder to composite neutral axis (17.0 in.) 

Snc = Non-composite or girder section modulus (1807 in.
3
) 

Ig = Moment of inertia of non-composite section or girder (22750 in.
4
) 

Cc = Distance from bottom of girder to non-composite or girder neutral axis (12.6 

in.) 

fr = Modulus of rupture of concrete (0.67 ksi) 

fcpe = Compressive stress in concrete due to effective prestress forces after all 

losses at extreme fiber of section where tensile stress is caused by externally 

applied loads (2.07 ksi) 

c2 = Distance between centroid of prestressing steel and girder neutral axis (5.5 

in.) 

Mdnc = Moment at distance x along the girder due to dead load (kip-in.) 

Vd = Shear at distance x along the girder due to dead load (kip) 

Wd = Uniform distributed load due to dead weight of the girder (0.032 kip/in.) 

x = Distance from center of support to center of applied load (in.) 
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l = Distance between the reactions (423 in.) 

fpc = The resultant compressive stress after all prestress losses have occurred at the 

centroid of composite section (0.84 ksi) 

Av = Area of shear reinforcement within a distance s (0.62 in.
2
) 

s = Spacing of mild shear reinforcing at a distance x along the girder (in.) 

α = Angle of inclination of transverse reinforcement to longitudinal axis (90
o
) 

θ = Angle of inclination of diagonal compressive force (deg) 

Not all of the above defined variables had consistent values for each test and 

therefore a value was not given in the definition.  All of the variables without given 

values can be calculated with the given equations; however, only the three values of Vci, 

Vcw and Vs for each location x of applied load would change and they are presented in 

Table 5.6. 

As seen on Table 5.7 the Vcw value governs for the 1d and 2d tests and therefore 

the cot(θ) was calculated using Equation 5.44, where for the other two tests a value of 1.0 

was used.  The values of Vn are presented below in Table 5.8 and are compared to the 

average measured shear values for each test from Table 4.3. 

This calculation for shear resistance was 1.0% more or not conservative of the 

measured values for the 2d and 4d test indicating that those locations are within an area 

where the combined forces of shear and flexure govern the failure mode.  The 1d test is 

8.5% conservative of the measured values.  Though this is sufficiently accurate for 

predicting shear capacities at the end of the girder near the support a strut and tie model 

was calculated for this location in section 5.4.2 for a more accurate representation of how 

the girder failed.  The mid-span predicted shear value is almost 
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Table 5.6 Values of Vci, Vcw and Vs for each test 

Test 
x 

mm (in.) 

Vci 

kN (kip) 

Vcw  

kN (kip) 

Vs  

kN (kip) 

1d 914 (36) 961 (216) 316 (70.6) 1254 (282) 

2d 1829 (72) 494 (111) 320 (72.0) 636 (143) 

4d 3658 (144) 249 (56) 329 (74) 236 (53) 

Mid-span 5372 (212) 187 (42) 334 (75) 236 (53) 

 

 

Table 5.7 Comparison of theoretical shear resistance to measured shear 

Test 
Vn 

kN (kip) 

Vi 

kN (kip) 
% Diff. 

1d 1570 (353) 1717 (386) -8.5% 

2d 961 (216) 952 (214) 0.9% 

4d 490 (110) 489 (110) 0.1% 

Mid-span 429 (96) 294 (66) 46% 

 

50% more than measured, which indicates that the mid-span is in a location where 

flexure governs the failure mode. 

 

5.3.2 AASHTO LRFD Strut and Tie Model 

Strut and tie models are applicable when a point load is within a distance 2d, 

where d is the depth form the top of the compression block to the centroid of the 

prestressing steel, from a support or discontinuity, which will cause a nonlinear strain 

distribution (AASHTO 2012).  This type of nodal analysis is shown in Figure 5.1, which 

shows the supports, nodes A and C, and the bearing plate, node B, where the load was 

applied.  The tie AC was at the centroid of the prestressing steel.  Each node for this 

analysis is assigned a region type to determine the limits for the concrete compressive 

stress in each region.  The two types of nodal regions used in this research which were 

nodes surrounded by compressive struts and a compressive bearing area (c-c-c) and nodes 

with one direction tension tie anchored in (c-c-t).  Node B was a c-c-c and nodes A and C 
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Fig. 5.1 Strut and tie model of the girder with compressive struts AB and BC and tie AC 

 

were c-c-t. Any truss may be used for a strut and tie analysis and is therefore an iterative 

process to find the most accurate model.  The simple truss ABC in Figure 5.1 was used 

for this research to calculate the shear strength for the 1d test because the forces of 

interest were in between nodes A and B due to the failure cracking.  The opposite side 

could have been modeled differently with a more complex truss; however this would 

have had no effect on the forces in strut AB and therefore was not considered.  It should 

also be noted that to remain consistent with this research no strength reduction factors 

were used.  The following equations were used to calculate the shear resistance of the 

girder. 

Equations 5.45 through 5.53 were use to determine the shear capacity of the strut-

and-tie model for this research.   
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where:  

fce = Limiting concrete compressive stress for each nodal region type (ksi)  

fc
’
 = Concrete compressive stress at each node (ksi), deck strength at node B and 

girder strength at nodes A and C 

M = Moment due to applied point load (13896 kip-in.) 

H = Height of the girder (36 in.) 

cp = Distance from bottom of girder to centroid of prestressing steel (7.125 in.) 

hb = Solved for in Equation 5.45 as the depth of nodal influence (6.67 in.) 

α = Angle between the tie AC and strut AB (35.4 
0
) 

Fab = Compressive force in strut AB (667 kip) 

R1 = Reaction force from applied point load at node B (386 kip) 

ε1 = Principal tensile strain in cracked concrete due to applied loads (0.00658) 

εs = Tensile strain due to the tension force in tie AC minus the prestressing strain 

(0.00087) 
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fcu = Limiting concrete compressive stress (5.84 ksi) 

Pn = Limiting compressive force in strut AB (650 kip) 

Acs = Cross-sectional area of strut AB perpendicular to the strut (111 in.
2
) 

V = Shear capacity or vertical component of Pn (376 kip) 

The calculated shear resistance from the strut and tie model was 1673 kN (376 

kip) which is 2.6% less than the measured value of 1717 kN (386 kip).  The strut and tie 

model is a conservative method of calculating shear resistance of a concrete member with 

a concentrated load near a reaction.  The AASHTO LRFD Simplified method was 

extremely accurate in determining shear resistance at a distance of more than 2d from a 

reaction, but was 8.5% less than the measured value for the 1d test.  These results prove 

that near the reaction shear forces represented by a strut and tie model govern the failure 

mechanism. 

 

5.4 ANSYS Finite Element Modeling 

The girder testing was modeled using the finite-element software ANSYS.  This 

software was selected to model the girders due to its nonlinear modeling capabilities.  

The same girder model was used to replicate each test, that is to say that the only 

difference in the individual tests is that the application of the load was positioned in 

different locations, mid-point, 1d, 2d and 4d, on the girder model. 

For this research the ANSYS model was created using a text file (see Appendix 

B) with the program commands written in it which were inserted into ANSYS that read 

the commands and created a model based on what was in the text file.  Volumes for a 

model are the different parts of the prototype, for example volumes for this research are 

the concrete girder and deck and the steel bearing pads.  Creating a volume involved 
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defining keypoints as corners of a volume.  Eight keypoints must be defined for each 

volume (adjacent volumes can shear keypoints if desired).  Volumes are defined by 

selecting eight keypoints that make up an acceptable shape, which is defined for each 

element (ANSYS, Inc. 2009).   

 

5.4.1 Materials 

Each volume was then assigned a material type, real constant and element type.  

Material types have assigned properties and a material number for individual application.  

For this research the material numbers and equivalent use is listed in Table 5.1. 

All materials and their respective properties were based on the measured 

properties and are defined in the model code in Appendix A3.  For the purpose of 

creating an accurate model, the material properties were adjusted, increased or decreased, 

depending on the behavior of the model until the output was similar to the measured 

values.  In the code all the material properties are defined in tables or real constants.   

 

5.4.2 Tables 

The tables are predefined in the software and are used for specific materials.  

Tables are used to make sure materials act how they are supposed to.  For this research 

two different types of tables were used, a concrete table and a biso table.  The concrete 

table has user defined material properties, such as compressive and tensile strength, and 

the table makes sure it behaves like concrete.  The biso table is used for materials have 

two separate slopes on the stress strain diagram, such as steel.  Steel has the linear elastic 

region prior to yielding and the elastic region after yielding.  The biso table enables a 

material to yield and continue to the ultimate strength.  
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Table 5.8 ANSYS Material numbers and assigned materials 

Material Number Material 

1 Mild Reinforcing 

2 Girder Concrete 

3 Prestressed Strands 

4 Deck Concrete 

5 Steel Plates 

 

5.4.3 Real Constants 

Real constants are properties ANSYS uses for defining properties that are not 

material properties.  These constraints are specific to individual element types, such as 

constants to define the percentage of smeared bars and the orientation with respect to the 

girder longitudinal axis.  Every volume must be assigned a real constant although not all 

volumes have the need for these extra properties defined.  The steel plates in this research 

have a real constant but do not have or use any information defined in the real constant.   

The initial strain for the prestressing strands had six real constants used for 

different sections of the strands.  The strands were modeled to have a low initial strain 

near the ends of the girders to replicate the gradual increase in stress over the transfer 

length.  To accomplish this behavior the strain was linearly increased over five spaces of 

152 mm (6 in.) until it reached the maximum value.  This was also modeled to keep the 

strands from pulling out of the girder concrete at the ends.   

 

5.4.4 Element Types 

There are multiple element types that are available to model any application.  

There were three types of elements used to model the girder for this research.  The Solid 

65 (ANSYS, Inc. 2009) element depicted in Figure 5.2 was used for the concrete because  
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Fig. 5.3 The Link 8 Element geometry (ANSYS, Inc. 2009) 

 

the girder.  After the elements are discretized and boundary conditions applied the model 

can be analyzed.  The load is applied in incremental time steps defined by either a user 

defined function or the program default values. The time steps range from one to one 

hundred, or basically the time step is a percent of the predefined load.  ANSYS increases 

the load based on the convergence of the previous time step.  For this research the 

predefined load was set to be higher than was recorded during the experiment to ensure 

girder failure prior to the termination of the program at time 100.  The program will also 

stop prior to time step 100 if the structure fails or exceeds the strength of the members.  

The predefined load was set at a value 1.5% higher than the recorded experimental data.  

This ensured that the load increments per time step were as small as possible for a more 

refined analysis. 

 

5.5 ANSYS Models 

The following sections describe the model for each test preformed for this 

research.  The model for each test was the same with the only difference being the 

magnitude and location of the load and some reaction conditions, which varied depending 

on the test and are described below in each individual model.  All the codes for the 

models are found in Appendix A3. 

Each deflection plot was compared with an R
2
 value as determined by Equation 

5.54 below and the ultimate capacity of the model as compared to the experiment. 
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Eq. 5.54 

Where:  

cov = Covariance of two lists of data (632) 

MModel = Moment values from the finite element model 

MExperimental = Moment values from experimental data 

σ = Standard deviation of selected data (24.14 and 26.51 for the Model and 

Experimental data, respectively) 

 

5.5.1 1d ANSYS Model 

An image of the test setup for the 1d test is seen in Figure 5.4, which shows the 

load at a distance 1d from the center of the support, which was the experimental setup.  

ANSYS was able to replicate the actual loading conditions with a steel bearing plate that 

the total applied load was evenly distributed across.  The original bearing pads were 

replaced with steel plates to keep the end of the girder from excessive deflection that was 

expected to occur with the bearing pads.  This changed the boundary conditions for the 

model by moving the pin-roller conditions from the middle of the support to the inside 

edge.  This was done due to the fact that during testing the rotation at the supports was 

about the inner edge of the reaction steel and not the middle of the support.     

Once the model had converged on a solution there were three of checks done to  

 

 
Fig. 5.4 1d ANSYS test setup 
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Fig. 5.5 G3-1d(a) (left) and ANSYS 1d (right) failure cracking comparison 

 

confirm that the model performed like the experiment.  First, the cracking scheme had to 

be similar, the mode of failure had to be the same and the deflection plots had to match 

up.  Figure 5.5 is a comparison of the cracking prior to failure.  Lastly the measured 

deflection under the load of the experiment was compared to the deflection of the exact 

same location from the ANSYS model.  Figure 5.6 and 5.7 are the1d model shear vs. 

deflection and moment vs. deflection comparison to the data from G3-1d(a).  This test 

data was used because the effective length of the test and the model was the same and 

therefore the stiffness is comparable.  The R
2
 value for the above plot is 0.95 and the 

ultimate shear capacity of the model is 1641 kN (369 kip) which is 4.4% less than the 

recorded capacity of the girder. 

 

5.5.2 2d and 4d ANSYS Model 

The 2d and 4d models were setup to mimic the experiment as shown in Figures 

5.8 and 5.9.  The support conditions were kept at the inner edge of the bearing plates for 

these models as well as the 1d model because the model performance was similar to the 

experimental data. 

The supports are consistent with the other test in ANSYS with the supports on the 

inner edge of the bearing plates.  As the load moves into the middle of the girder the  


